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ABSTRACT: With the North American seismic codes moving toward adopting performance-based 
seismic design approaches, there is a need to develop seismic probabilistic risk assessment (PRA) tools 
for different construction systems, including reinforced masonry (RM). This study first summarizes the test 
and analysis results of a series of concrete block walls with design parameters that categorize them as 
conventional (non-seismic) construction based on the National Building Code of Canada (2010). In 
general, the walls experienced minimal damage under low amplitude shaking corresponding to frequent 
minor earthquake events, incurred repairable damage for higher level tests, and maintained their integrity 
for the highest level tests corresponding to the highest seismicity zones in Canada. The paper then 
focuses on the characteristics of a simplified analytical model that is used to simulate the seismic 
response of the tested RM shear walls. The model is then used for the development of fragility curves, as 
an essential component of the PRA framework. The wall seismic demand levels are determined through a 
probabilistic approach by performing a series of inelastic response history analyses. In general, the 
results indicate that the RM conventional construction category evaluated within this study would 
experience an acceptable seismic performance, associated with moderate lateral wall top-roof drifts, and 
pose low levels of seismic risk even when subjected to ground motion records representing some of the 
highest seismic regions in eastern and western Canada.  

1. Introduction  
Fragility curves give information pertaining to the probability of a structure exceeding a certain limit state 
(associated with a certain damage level) if subjected to an earthquake with certain intensity. Fragility 
curves play an important role in seismic probabilistic risk assessment (PRA) and probabilistic 
performance-based seismic design and analysis of structures (ATC, 2012). With the computational 
advances and the availability of more reliable and powerful software tools, generation of fragility curves 
using probabilistic seismic demand analyses, based on nonlinear response history analysis (NRHA) of 
structures, has been becoming more common (Shome, 1999; Nielson, 2005). However, development of 
these analytical fragility curves is dependant on the availability of simple yet accurate corresponding 
analysis tools as well as the availability of realistic information on the characteristics and nature of seismic 
response of structures. The latter can be achieved by component/system level experimental testing of 
seismic force resisting systems (SFRS) using shake table facilities (ATC, 2007). 
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Masonry buildings constitute a major portion of urban construction in North America. The SFRS in these 
buildings is typically shear walls (Paulay and Priestley, 1992; Drysdale and Hamid, 2005). There has 
been an extensive number of research studies focusing on evaluating the seismic response of masonry 
construction when used with steel reinforcement. It has been shown that the general response and 
energy dissipation mechanisms of reinforced masonry (RM) walls can be very similar to reinforced 
concrete (RC) shear walls. The capacity design concept has been also successfully implemented on RM 
construction and existence of reinforcement has proved to considerably improve seismic response of 
masonry construction in terms ductility and energy dissipation (Noland, 1987; Shing et al., 1989, 1990; 
Abrams and Paulson, 1991; Seible et al., 1994; Tomaževič and Weiss, 1994).  More recently, there have 
been further investigations to quantify the seismic performance of RM walls using displacement-based 
approaches that are more suited towards performance-based design of structures (Shedid et al., 2010a, 
b; Banting and El-Dakhakhni, 2012, 2014; Shedid and El-Dakhakhni, 2014). 

This study presents shake table test results performed on two story RM concrete block walls with design 
parameters that categorize them as conventional (non-seismic) construction based on the National 
Building Code of Canada (NRCC, 2010). The test results are used for realistic quantification of seismic 
performance of tested walls. A simple analytical model is then calibrated based on the test results and 
used to predict the seismic response of the tested walls. Finally, analytical fragility curves are generated 
for the class of the tested walls using the experimental test results and the analytical model. This study is 
a step forward in better seismic performance quantification of conventional RM construction and 
evaluation of its seismic risk in Canada.   

 

2. Experimental Program 
2.1. Wall Design and Construction 
The current paper discusses the test and analysis results of four scaled RM walls, referred to as walls A, 
B, C, and D hereafter. These four third scale two-story wall specimens were constructed based on 
dynamic similitude requirements (Harris and Sabnis, 1999). The designs of the walls were selected such 
that the walls were considered as conventional (non-seismic) construction based on National Building 
Code of Canada (NRCC, 2010). Furthermore, adequate horizontal reinforcement was provided to prevent 
shear failure of the walls. The story height of the third-scale two story wall specimens was 1130 mm. 
Walls A, B, and D had a length of 598 mm while wall C was 865 mm long. The walls were constructed 
from third scale concrete masonry units (CMU) with a width of 63 mm and average tested compressive 
strength of 17.7 MPa (𝑓′! = 17.7  MPa). The walls were reinforced with W1.7, D4, and D7 bars with tested 
yield strength of 281, 490, and 487 MPa, and diameters of 3.8, 5.75, and 7.6 mm, respectively. While the 
horizontal reinforcements of all of the walls were similar (W1.7@ 130 mm), their vertical reinforcement 
diameter and spacing were different. Walls A, B, and C had D4 bars spaced at 266 mm, 532 mm, and 
399 mm, respectively, while Wall D was reinforced with 2-D7 bars spaced at 532 mm. Fig. 1 shows the 
elevation of Wall C. More details on the construction of the walls are presented in Mojiri et al. (2015a). 

 

 

 

 

 

 

 

 

 

Fig. 1 – Elevation of Wall C 
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2.2. Test setup and Instrumentation 
The model walls were tested under simulated earthquakes using a shake table. A special steel frame was 
designed and constructed to support majority of the simulated inertial masses of the walls outside the 
shake table. The frame allowed free unidirectional horizontal movement of the masses with minimal 
friction. The inertial lateral loads were transferred to the wall specimens through loading beams. This 
frame was intended to enhance the performance of the shake table and facilitate decoupling of the 
magnitude of inertial and gravity loads acting on the specimen due to presence of simulated masses. The 
frame also provided lateral out-of-plane constraint at each story level simulating the rigid in-plane action 
of the concrete slabs in the prototype building. In order to simulate the axial loads on the wall specimens, 
the walls were posttensioned on the top floor by two threaded rods connected in series to a soft spring 
which helped in controlling the increase of the posttensioning axial load due to floor lateral movements. 
The total inertial mass of walls A, B, and D were 1,097 and 1,119 kg, respectively, for the first and second 
floors. The total inertial mass was 1158 and 1162 kg, respectively, for the first and second story of Wall C. 
The total axial stress at the base of the walls was 2% of the compressive strength of masonry (0.02𝑓!′). 

 
Fig. 2 – Test setup and instrumentation 

 

The test setup was instrumented both internally and externally to measure floor sliding, floor lateral 
displacements and accelerations, vertical deformations of the walls along their heights and the diagonal 
deformations in the first story, inertial and axial loads, and the level of strain in the vertical steel 
reinforcement. Fig. 2 shows an overview of the test setup and some of the external instrumentation. More 
details about the test setup and instrumentation are presented in Mojiri et al. (2015a). 



Page 4 of 11 

2.3. Dynamic Excitation  
The Loma Prieta 1989 earthquake record at Gilroy Array #2 station was selected from PEER NGA strong 
motion data base (PEER, 2011). The original record was then scaled to four intensity levels, L0, L1, L2, 
and L3 with peak ground acceleration (PGA) of 0.19g, 0.24g, 0.61g, and 0.84g covering different seismic 
hazard levels of high seismic zones in Canada (NRCC, 2010). 

3. Analysis of Test Results 
3.1. Overview of Experimental Results 
The measured response of the tested walls indicated that the failure modes of the walls were in the form 
of steel yielding followed by crushing of the masonry and subsequent buckling and failure of the vertical 
bars located at the wall toes that is representative of flexural response. The major crack patterns in the 
walls were horizontal cracks in the wall/base interface and vertical cracks in the wall toe regions resulting 
from flexural response of the walls. The shear cracks were limited to horizontal sliding cracks along the 
wall/base interface. Yielding of the vertical bars occurred for all of the walls during the tests. Both vertical 
end bars failed after buckling in Walls A, B, and C at either the L2 or L3 level tests. However, in Wall D, 
only one of the vertical bars failed at the L3 level. Failure of vertical bars was followed by extensive base 
sliding and rocking of the walls resulting in further damage to the wall toes. However, the overall integrity 
of all of the walls was maintained even after the highest intensity tests.  

The relative lateral displacement, drift ratio, and acceleration response histories at the top of Wall A for 
test levels L1, L2, and L3 are presented in Fig. 3. The results show that the maximum top drift ratio of 
Wall A during L1, L2, and L3 test levels is 0.5, 2.3, and 4.5%, respectively. The low frequency cyclic 
response both in displacement and acceleration response history that is mainly observed during L3 level 
test is attributed to buckling and failure of both end vertical bars and subsequent loss of strength and 
extensive rocking of the wall. Fig. 4 shows the moment-curvature hysteresis of Wall A during L1 and L2 
level tests. The results indicate extensive nonlinear response and energy dissipation in the wall during L2 
level test. Similar responses are observed for walls B, C, and D. More detailed analyses of the energy 
dissipation mechanisms and capacity of the walls are presented in Mojiri et al. (2014). 

a)  

b)  

Fig. 3 – Top floor response history of Wall A: a) relative displacement; b) absolute acceleration 
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Fig. 4 – Base moment-curvature hysteresis of Wall A during L1 and L2 level tests 

 

3.2. Analysis of Nonlinear Deformations 
The values of displacement ductility of the walls are calculated based on shake table test results as a 
measure of nonlinear response and capacity of the tested walls. The values of displacement ductility are 
calculated as the ratio of the top floor displacement at maximum lateral load attained by the walls during 
the tests, referred to as the nominal strength, and the yield displacement of the walls. The yield 
displacements of the walls are calculated based on the approach suggested by Priestly et al. (2007) as 
the point of intersection of the line connecting the origin to the point of the experimental yield and 
corresponding displacement, and extending up to the level of the nominal strength. The experimental 
yield load in this case is defined as the unset of yielding of the wall end vertical bars. The values of 
displacement ductility of the walls calculated based on the above approach are 4.6, 2.7, 4.2, and 3.3 for 
walls A, B, C, and D, respectively. Following an equal-displacement approach (NRCC, 2010), the values 
of ductility related seismic response modification factors (𝑅!) which are used in force-based seismic 
design of structures in many modern seismic design codes including NBCC (NRCC, 2010) will be equal 
to the displacement ductility values and thus will be in the range of 2.7-4.6. It should be noted that these 
values are obtained for the walls that are not even permitted as SFRS in seismic zones based on NBCC 
(NRCC, 2010) due to their reinforcement scheme. Furthermore, in contrary to many modern seismic 
design codes that prescribe a single value of 𝑅! for each SFRS category, the test results suggest a range 
of 𝑅!values for this type of walls.  

Fig. 5 shows the average curvature profile for Wall A along its height normalized to the experimental yield 
curvature at the base of the wall. The curvature values are computed based on the masonry compressive 
and steel tensile strains directly measured during the tests at each wall end at the experimental yield level 
and top floor drift ratio of 0.5 and 1%. Fig. 5 indicates development and concentration of nonlinear 
deformations close to the base of the walls, in a plastic hinge region, similar to RC shear walls. The 
curvature profiles of other tested walls also show similar trend. The equivalent plastic hinge length of the 
walls are calculated assuming constant plastic curvature in the plastic hinge region and rigid body rotation 
of the walls around the center of this region (Paulay and Priestly 1992). The equivalent plastic hinge 
lengths of walls A, B, C, and D obtained following the above approach and calculated at top floor drift 
ratio of 1% are 122, 100, 102, and 107 mm, respectively which is in the range of 12-20% of the length of 
the walls. It should be noted that while the test results indicate development of plastic hinge region at the 
base of the walls, since the tested walls are not permitted as SFRS in seismic zones by NBCC (NRCC, 
2010), no specific plastic hinge value is provided in CSA S304.1 (CSA, 2004) for this wall category. 
Further details about the calculation of equivalent plastic hinge length and displacement and curvature 
ductility of the walls are presented in Mojiri et al. (2014, 2015a). 
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Fig. 5 – Normalized average curvature profile for Wall A 

 

4. Analytical Modeling 
4.1. Model Characteristics and Calibration 
A simple analytical model was used to predict the response of the tested walls. For this purpose, a two-
dimensional beam element with lumped plasticity model was used to model the walls at each story. In this 
model, the nonlinear behaviour is concentrated at the plastic hinge regions located at the element ends 
and the rest of the element behaves in linear elastic manner. This model is suitable for response 
prediction of structural elements with dominating flexural response like the tested walls. While linear 
elastic response was assumed for the diagonal shear behaviour of the walls, the sliding shear response 
was neglected. This was consistent with the experimental observations and analysis results that indicated 
minor contribution of sliding shear deformations to the overall response of the walls (see Mojiri et al., 
2015a). A Fukada trilinear moment-curvature hysteretic model with degrading stiffness (Fukada, 1969) 
was used to model the nonlinear behaviour of the plastic hinge regions. In this model the change in the 
stiffness due to cracking of the wall prior to yielding is implemented. This model is also capable of 
modeling the stiffness degradation of the walls. The model parameters are the flexural stiffness of the first 
segment of the hysteresis (𝐾!), ratio of pre-yield flexural stiffness to initial elastic flexural stiffness (𝛼), 
ratio of post-yield flexural stiffness to initial elastic flexural stiffness (𝑟), and the cracking and yield 
moments (𝑀!" and 𝑀!). In order to model the flexural failure of the walls, a flexural strength degradation 
model was used based on the maximum curvature ductility of the walls. In order to simulate the energy 
dissipation of the system through the coulomb friction in the test setup including the mass supporting 
system, nonlinear springs with elastic-perfect plastic hysteresis were used at each floor level in the 
model. 

NRHA was performed on the wall models using the Ruaumoko code (Carr 2004) with P-delta effects 
enabled. The parameters of the analytical model were calibrated based on the experimental results 
presented in the previous sections. Between others, the initial elastic stiffness of the walls (𝐾!) was 
calibrated using the results of static pull-back tests that was performed on the walls prior and after each 
shake table test. Furthermore, in order to calibrate the Fukada hysteresis model, the wall yield moments 
were evaluated at the onset of yielding of the end vertical bars and the cracking moments were assumed 
one-third of the yielding moments. Elastic viscous damping of 1% was used for each mode in the models. 
This value resulted in the best match between the analytical predictions and experimental values. More 
details about calibration of other parameters are presented in Mojiri et al. (2015b). 

4.2. Analysis Results 
The elastic periods of the walls were predicted analytically and were compared with the experimentally 
obtained elastic periods that were calculated from static pull-back tests. The comparison shows an 
average error of 6.25 % for walls A, B, C, and D. Fig. 6 compares the experimental and analytical base 
shear response history and base moment-curvature hysteresis response of Wall C. The results indicate 
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that there is a good agreement between the experimental results and analytical predictions. Similar 
agreements are observed for other types of response and for other tested walls. The deviations in all 
cases can be mainly attributed to the inherent approximations in the simplified plastic hinge hysteresis 
model used in the plastic hinge region and design characteristics that were not considered in the model 
affecting the flexural response of the walls. Overall, considering the complex nature of RM, the analytical 
models suggest an acceptable level of accuracy. 

    
                                      a)           b) 

Fig. 6 – Comparison of experimental and analytical responses of Wall C: a) base shear response 
history; b) base moment-curvature hysteresis 

 

5. Fragility Assessment 
Fragility assessment of a structural component or SFRS requires identification of relevant and practical 
limit states, determination of capacity of the structural component or SFRS for those limit states, and 
finally measurement, estimation, or prediction of response of the structural component or SFRS under 
several ground motions with varying intensity. Given the above information, the fragility curves of a 
structural component or SFRS for a limit state can be obtained as the conditional probability that the 
seismic demand (𝐷) on the structural component or SFRS exceeds the capacity when an earthquake with 
certain intensity occurs. This statement can be mathematically expressed by the following equation 
(Melchers, 2001): 

𝑃 𝐷 > 𝐶 𝐼𝑀 = Φ !"  (!!/!!)

!!|!"
! !!!!

                      (1) 

In the above equation 𝑆! and 𝛽! are the median and dispersion of the capacity, 𝑆! is the median of the 
demand, and 𝛽!|!" is the dispersion of the demand for a given intensity level represented by and intensity 
measure (𝐼𝑀). In Eq. 1, Φ is the standard normal Cumulative Distribution Function (CDF). The main 
assumption in Eq. 1 is that both demand and capacity follow a lognormal probability distribution (Wen et 
al., 2003).    

5.1. Limit States and Wall Capacities 
The limit states defined for fragility analysis should have direct relationship with damage levels that have 
known qualitative and operational implications. Table 1 shows the different limit states considered in this 
study and their quantitative and qualitative identifications defined based on the shake table test results on 
the walls. The capacities of the tested walls in terms of top floor drift ratio for each limit state are also 
obtained based on the shake table test results. The results show a median capacity (𝑆!) of 0.07, 0.26, 
and 1.24% and a dispersion (𝛽!) of 0.44, 0.42, and 0.33 for LS1, LS2, and LS3 limit states, respectively. 
Since only a limited number of wall specimens were tested and all possible configurations that exist in a 

-15
-12
-9
-6
-3
0
3
6
9
12
15

0 5 10 15 20

B
as
e 
sh
ea
r (
kN
)

Time (s)

Analytical
Experimental

-15
-9
-3
3
9
15

2 2.4 2.8 3.2 3.6 4 4.4 4.8
B
as
e 
sh
ea
r 

(k
N
)

Time (s)

-30 

-20 

-10 

0 

10 

20 

30 

-1 -0.5 0 0.5 1 1.5 

B
as

e 
m

om
en

t (
kN

-m
) 

Base curvature (1/mm x 
10-4) 

Analytical 



Page 8 of 11 

real masonry building are not taken into account during the tests, the square root of sum of squares of 
each dispersion value and an added dispersion value of 0.25 is considered as the final dispersion of the 
capacity of the tested walls following the FEMA P-58 (ATC, 2012) recommendations. The final dispersion 
values are 0.51, 0.49, and 0.41 for LS1, LS2, and LS3 limit states, respectively. 

 

Table 1 – Definition of limit states and their qualitative and quantitative identification. 
Limit 
State Qualitative Identification Quantitative 

Identification 

LS1 Minor damage to the wall, minimal horizontal cracking along mortar 
lines affecting surface finishes 

Cracking base 
moment (𝑀!") 

LS2 Moderate damage to the wall, limited cracks in the face shells , 
horizontal cracks along mortar lines and at the base of the wall 

Yield base moment 
(𝑀!) 

LS3 
Severe cracks in the wall toe region face shells, wide horizontal 
cracks along the mortar lines and at the base of the walls, extensive 
yielding of the reinforcement bars, permanent wall deformations 

Ultimate moment 
capacity (𝑀!) 

 

5.2. Seismic Demands 
Probabilistic Seismic Demand Analysis (PSDA) was performed following the approach suggested by 
Cornell et al. (2002). In this approach the models are tested under several earthquakes with varying 
intensity and the maximum demands (𝐷) during each earthquake are plotted against the Intensity 
Measure (𝐼𝑀). Assuming that 𝑆! is related to 𝐼𝑀 with 𝑆! = 𝐴(𝐼𝑀)!, a regression is performed to find 
parameters 𝐴 and 𝐵 and the equation for the median of demand is derived in terms of 𝐼𝑀. the 𝐷 − 𝐼𝑀data 
points and 𝑆! are then used to calculate 𝛽!|!". In the absence of a large experimental data base required 
to quantify the wall analytical model uncertainties, the dispersion of the demands resulting from 
uncertainties in the wall analytical models is not considered in this study. Furthermore, in order to reduce 
the dependency of the structural response on the selected ground motions and thus reduce the demand 
dispersion, the spectral acceleration at the elastic fundamental period of the walls (𝑆!(𝑇)) is chosen as 
the intensity measure in this study.  

To determine the demands, 30 synthetic ground motions compatible with NBCC (NRCC, 2010) uniform 
hazard spectra with 2% chance of exceedence in 50 years were selected from the data base developed 
by Atkinson (2009). The selected records had varying fault distance, magnitude, and soil conditions and 
were located in both western and eastern areas of Canada. The records were grouped in five ranges of 
spectral acceleration bins. 120 NRHA were performed on the scaled wall models to determine the 𝐷 − 𝐼𝑀 
data points. The results are indicated in Fig. 7-a.  This figure also shows the linear least squares 
regression results. The calculated values for 𝛽!|!" is 0.4.  

5.3. Generation of Fragility Curves 
Following the calculation of all the required parameters in Eq. 1, the fragility curves for the tested walls 
and the defined limit states are generated and presented in Fig. 7-b. The average design spectral 
acceleration over the wall periods for some of the cities of Canada with different levels of seismicity as 
specified by the NBCC (NRCC, 2010) are also shown in this figure. The fragility curves provide valuable 
information on the seismic risk evaluation of conventional RM in Canada. Based on these curves, in the 
city of Montreal, which is one of the seismic regions in Canada, although there is a very high chance that 
the walls exceed LS1 limit state affecting the surface finishing and causing minor damage, there is almost 
no chance that the walls exceed limit state LS3, causing extensive level of damage that requires major 
wall repair. It can also be inferred that even for the cities of Vancouver and Victoria and for the islands of 
Haida Gwaii, which are in the highest seismic regions of Canada, there is only 5, 16, and 30% chances, 
respectively, that the walls will exceed the LS3 limit state. The above observations confirm the 
effectiveness of inclusion of light amount of reinforcement on increasing the seismic performance of the 
lightly reinforced masonry walls and the potential capacity of these walls to resist seismic lateral loads 
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even in highest seismic regions of Canada. The fragility curves developed for the walls can be 
extrapolated to RM buildings (system level) assuming modular symmetrical RM construction and ignoring 
the possible coupling between the walls; thus resulting in similar dynamic characteristics of the individual 
walls and the building system as a whole. 

 

 

  
                                                a)                      b) 

Fig. 7 – Comparison of experimental and analytical responses of Wall C. a) Base shear response 
history, b) Base moment-curvature hysteresis 

 

 

 

6. Conclusions 
As a step toward quantification of seismic performance and risk for conventional RM construction, the 
results of recent shake table tests on lightly RM walls were evaluated and discussed in this paper. The 
results indicated that even minor inclusion of steel reinforcement in masonry walls significantly increases 
the ductility and energy dissipation characteristics of the walls. The walls mainly responded and failed in 
flexure and rendered controllable and predictable lateral response. In general, the walls experienced 
minimal damage under low amplitude shaking corresponding to frequent minor earthquake events, 
incurred repairable damage for higher level tests, and maintained their integrity for the highest level tests 
corresponding to the highest seismicity zones in Canada. Based on the test results, the walls were able to 
form plastic hinging mechanism at their base and dissipate energy there. The observed seismic 
performance of the tested walls were well above what is currently recognized for the class of RM 
construction tested. It was further indicated that the response of the walls can be well predicted by a 
simple and calibrated analytical model. The experimental results and the analytical model then were used 
to produce fragility curves for the tested walls for a range of earthquakes with varying intensity. The 
fragility curves indicated that for walls with design parameters similar to the ones considered in this study, 
there is a maximum of 30% chance that two-story, lightly reinforced masonry shear walls would undergo 
extensive damage requiring significant repairs even in some of the highest seismic zones of Canada. 
These observations indicate that currently perceived seismic performance capabilities of these lightly RM 
SFRS may be underestimated by the Canadian standards (CSA, 2004; NRCC, 2010) which do not permit 
these types of construction in regions of moderate seismicity.    
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